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Abstract: Over recent years, the application of performance-based design (PBD) has continually grown in the design of tall buildings and
other structures excited by large wind loads. PBD has also become a mainstream approach to assess and reduce the risks in the rehabilitation
of existing structures. The significant wind-related economic losses incurred every year around the world have prompted researchers to
develop methods to reframe wind engineering to embrace the concepts of PBD. The main objective of performance-based wind engineering
(PBWE) is to assess the adequacy of a structure in terms of the decision variables (DVs) set forth by the stakeholders. Each DV is defined to
satisfy specific performance levels such as operational, immediate occupancy, life safety, and collapse prevention. The performance levels are
defined based on acceptable levels of strength and serviceability requirements of both structural and nonstructural components. They also
reflect the probable levels of damage, casualties, downtime, and costs of repair. In this paper, a 44-story steel frame building under the action
of wind loads was analyzed and evaluated using PBD. To understand the structural response under long-duration wind loads, the building was
subjected to randomly varying wind loads for a duration of 30 min. Different time history analyses were conducted with wind speeds varying
between 45 and 80 m=s (100 and 180 mph). The basic design wind speed of the building for the preliminary design based on static analysis
was 58 m=s (130 mph). The building responses recorded include acceleration and displacement time histories at every floor level. These
responses were used to evaluate the peak and root mean squared (RMS) variations of acceleration and interstory drift along the height of the
building and also to make comparisons between different wind speeds. The member forces were recorded to identify the locations of plastic
hinges and also to interpret any unusual variations in the recorded accelerations and displacements in the building. The fragility and loss ratio
curves are presented, showing the response parameters in comparison with the limiting threshold specified by FEMA to categorize the
structural components into different damage states (DSs) and corresponding costs of repair or replacement. DOI: 10.1061/(ASCE)
ST.1943-541X.0003312. © 2022 American Society of Civil Engineers.
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Introduction

Performance-based design (PBD) has become a mainstream ap-
proach to assess and reduce the risks in rehabilitation of existing
structures. In addition to application in the field of seismic design,
it has been used for design against other hazards such as vehicle
collision (Au Yeung et al. 2019), aging, and earthquake (Cui et al.
2019). Application of PBD philosophy for design of tall buildings
and other structures excited by wind loads has received much at-
tention recently. The significant wind-related economic losses in-
curred every year around the world have prompted researchers to

develop methods to reframe wind engineering to fully embrace the
concepts of PBD. Performance-based wind engineering (PBWE)
involves accounting for numerous sources of uncertainty. These in-
clude the variations in wind loads arising from the unpredictable
nature of wind velocities and turbulence intensities and epistemic
errors during measurement of data and modeling of structures in
addition to the mechanical properties of the structure. Hence, the
probabilistic PBWE framework has a higher potential to quantify
structural reliability by acknowledging all of the uncertainties as-
sociated with the design problem.

One of the first instances of performance-based wind engineer-
ing mentioned is in the work by Paulotto and Ciampoli (2004)
when they used it for vulnerability analysis of tall buildings. The
framework was based on probabilistic calculations made in both
the frequency and time domains. Performance-based earthquake
engineering (PBEE) has been widely adopted in the structural en-
gineering field because it efficiently provides cost-effective design
solutions while accounting for the potential losses considering the
performance objectives set by stakeholders. The technical basis for
PBEE computes earthquake performance as a multilevel integral
based on total probability theorem. Apart from developing the
key concepts involved in PBWE, a significant amount of research
has been dedicated to understanding and formulating methodolo-
gies to address the uncertainties involved in the estimation of wind
loads acting on a structure. Spence et al. (2012, 2015) have worked
on addressing these concerns but mostly in the elastic range or us-
ing simplistic postelastic modeling approaches. Petrini et al. (2013)
provided the framework of PBWE, addressing its role in damage
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and loss analysis. Ciampoli et al. (2011, 2012) also applied PBWE
formulations in the collapse assessment of a long-span suspension
bridge and occupant comfort in tall buildings. Caracoglia et al.
(2009), Caracoglia (2011), and Cui and Caracoglia (2017) presented
calculations to obtain turbulent wind loads acting on low-rise and tall
buildings. Optimization of the PBWE framework was has been
conducted in different contexts by Tessari et al. (2017), Ierimonti
et al. (2017), Huang et al. (2015), and Micheli et al. (2018, 2019,
2020a, b, c, 2021).

Despite the extensive work that has been conducted by these
researchers in the formulation of PBWE, they mostly focus on the
elastic response of the structures. This is probably because account-
ing for nonlinearities would complicate the analysis and introduce
convergence issues. Additionally, the available international stan-
dards for design of structures under wind loads, unlike those for seis-
mic loads, also do not allow the structure to enter the inelastic range
of response, and there is a general expectation within the community
for structures to remain elastic under wind events. However, recent
damages under wind events have shown that not considering the in-
elastic structural response in the design stage will open the potential
for unknown behavior after inelastic response at the least and could
pose serious threats to the occupants at the most, with failure modes
that have not been accounted for during the design procedure. Fur-
thermore, the newly developed concept of smart morphing facades
(Smorphacades) by the team at Iowa State University (Jafari and
Alipour 2021a, b) and Abdelaziz et al. (2021) highlights the need
to consider nonlinearities in the structural system should there be
issues with the performance of wind vibration mitigating facades.

In addition to the general expectations of society for buildings to
remain elastic under wind events as one of the reasons for the focus
on the elastic design of buildings, the longer durations of wind
loads acting on structures (sometimes an hour or more compared
to 60 or 90 s of earthquake) pose a major hurdle to completely ap-
ply the steps of PBEE in PBWE. For example, Huang et al. (2015)
considered nonlinearity but did not account for the across-wind
loads that are important in tall buildings.

In 2019, ASCE published its first set of recommendations for
PBWE in the form of the Pre-Standard for Performance Based
Wind-Design (ASCE 2019) to act as an alternative to the prescrip-
tive procedures given in ASCE 07-16 (ASCE 2016). The standard
provides guidelines to implement PBWE in building designs to
achieve an equal or superior performance objective compared to
the prescriptive design methodology provided by ASCE 07-16
(ASCE 2016). The guidelines provided include recommendations
on the development of wind load model, analysis requirements, and
acceptance criteria for different performance objectives. The stan-
dard requires nonlinear time history analysis of buildings to satisfy
the continuous occupancy performance objective and permits the
use of such analyses in designing for occupant comfort and opera-
tional performance objectives as well.

With the advancements in the computational capacity available,
this paper implements the proposed PBWE methodology by fol-
lowing the true nature of the PBD philosophy considering nonli-
nearity in the response of buildings and associated uncertainties in
wind loading. Furthermore, the paper makes contributions to the
field of PBWE by providing prediction of turbulent wind loads
at each level of the building and developing the formulation to ac-
count for along-wind, across-wind, and torsional-wind loading along
the height of the building. The aerodynamic load coefficients and
aeroelastic load functions were obtained from wind tunnel experi-
ments conducted on a scaled section model in the aerodynamic/
atmospheric boundary layer (AABL) Wind and Gust Tunnel at
the Wind Simulation and Testing (WiST) laboratory at Iowa State
University (Hou and Sarkar 2018). The aerodynamic load (drag, lift,

and moment) coefficients and their derivatives with respect to angle
of attack were obtained for three different mean angles of attack of
wind (0°, 34°, and 90°) using section model tests in a wind tunnel.
The variation of these load coefficients and their derivatives along
the height of the building was not considered in this study to account
for the effects of Reynolds number, upstream wind turbulence, or
three-dimensional flow that occurs near the top and bottom regions
of the building. The aerodynamic load coefficients and their deriv-
atives were then used to calculate buffeting load time histories for the
building based on quasisteady formulation, corresponding to syn-
thetically generated wind speed time histories based on empirical
power spectral density (PSD) functions using Kaimal spectra. Aero-
dynamic damping for the fundamental mode of vibration was also
estimated using the aerodynamic load coefficient.

Finally, the structural time history responses in the form of de-
flections were converted to interstory drift limits. These were then
adopted to check the design of structural and nonstructural compo-
nents in the building using the limit states for different structural
and nonstructural components based on their damage states as given
in the FEMA (2018a) database under different wind speeds. Loss
analysis was also conducted for the selected fragility groups of struc-
tural and nonstructural components.

The paper provides an extensive discussion on PBEE and its
extension to develop the PBWE formulations in the next section.
The various components in the basic equation of PBWE are then
discussed in the following section, with specifications of the param-
eters used in this study. The methodology of PBWE was validated
using a case study of a 44-story steel frame building subjected to
wind loads. The frame sections used in the building and a brief de-
scription of the static design [based on ANSI/AISC-360-16 (AISC
2016) and ASCE 07-16 (ASCE 2016)] are also given in the paper.
The building modeling and analysis in OpenSEES is then presented
with discussion on the models adopted to account for the nonlinear-
ity of the structure. Avalidation study for the building model system
is also presented using available shake-table test results. The nonlin-
ear static pushover analysis and modal analysis conducted on the
44-story building are then presented. The paper then proceeds to
show the dynamic modeling and analysis of the building under wind
loads. The results obtained from the analyses are then used to de-
velop the fragility curves, calculate the losses on various structural
or nonstructural components, and measure occupant comfort.

Review of PBEE and Extensions to PBWE

The technical basis of PBEE was first documented by the Structural
Engineering Association of California in 1995 as a framework to
meet system performances at any specific hazard intensity. The
methodology included specific performance levels such as fully
operational, operational, life safety, and near collapse, whereas the
hazard intervals ranged between frequent and very rare events.
FEMA 273 (FEMA 1997) and FEMA 356 (FEMA 2000), devel-
oped later by the Applied Technology Council (ATC), outline the
framework for first-generation PBEE. First-generation PBEE was
still largely deterministic, considering specific damage limits and
evaluating their performance levels. Also, the performance targets
were given at component-level measurements, and the overall sys-
tem performance was assumed to be consistent with the worst per-
formance for any component in the structure. The method also did
not express system performances in terms of stakeholder interests
such as downtime or repair costs or casualties. Given these short-
comings, a more efficient second-generation PBEE was developed
by PEER. Under the framework developed, earthquake performance
was computed as a multilevel integral (PEER equation) based on
the total probability theorem. It accommodates the uncertainties in
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hazard intensity, structural responses, damage states, and reports in
terms of variables such as downtime or monetary losses that are
of direct interest to stakeholders. The PEER equation given sub-
sequently decomposes the process into subsets that are independent
of each other and are evaluated sequentially

λðdvÞ¼
ZZZ

GðdvjdmÞjdGðdmjedpÞj · jdGðedpjimÞj · jdλðimÞj
ð1Þ

where dv = decision variable that represents specific performance
levels such as no collapse, occupant safety, admissible displace-
ments, and accelerations of the building; λðνÞ = mean annual ex-
ceedance frequency of the decision variable, which should not
exceed the tolerable annual frequency, λ0; dm = damage measure
indicating the state of damage of different structural components;
edp = engineering damage parameter that relates the structural re-
sponse of the structure to the damage occurrence (accelerations
and displacements); im = intensity measure of the seismic event;
and GðAjBÞ = complementary cumulative distribution function
(CCDF) of A conditional on B. In PBEE, the hazard curve required
for the identification of im is well established. However, a similar
curve is not explicitly defined in PBWE. Following the provisions of
ASCE 07-16 (ASCE 2016) for the design wind loads on a structure,
the closest approximation would be to consider the maximum wind
speed expected to occur at any height of the structure averaged over a
given time interval. The speed would also be specific to the terrain
and topographic features of the site. Another factor to be considered
while adjusting the PEER equation for PBWE is the wind–structure
interaction given by aerodynamic loading functions. Of these in-
teraction parameters, ip is strongly dependent on im and structural
properties. Incorporating the aforementioned factors, the mathemati-
cal formulations for PBWE modified from the PEER framework
equation is given in the following:

PfðdvÞ ¼
ZZZZ

GðdvjdmÞ · jdGðdmjedpÞj

· jdGðedpjipÞj · jdGðipjimÞj · pðimÞ · dim ð2Þ

This equation measures the performance in terms of annual ex-
ceedance probability of threshold in terms of Pf instead of consid-
ering the mean annual rate of exceedance. Probability of failure
(Pf) over all wind hazards is the acceptable failure probability
for a given performance level for design of the building. Pf rep-
resents the probability of the structural response exceeding the limit
state of failure. In this study, Pf can be calculated from the fragility
functions of the several structural components provided over the
range of wind hazards presented in Fig. 15. Fig. 1 presents the flow-
chart required to conduct PBWE.

The main objective of PBWE is to assess the adequacy of a
structure in terms of the decision variables (DVs) set forth by the
stakeholders. Each DV is defined to satisfy specific performance
levels such as operational, immediate occupancy, life safety, and
collapse prevention. The performance levels are defined based
on acceptable levels of strength and serviceability requirements of
both structural and nonstructural components. They also reflect the

probable levels of damage, casualties, downtime, and costs of repair.
Uncertainty in the performance assessment is addressed by expressing
the performance levels in probabilistic terms. PBWE involves def-
inition of wind hazards, assemblage of building performance
model, analysis of the building response, development of fragility
functions, and calculation of performance levels.

Wind Load Model (Intensity Measure)

The wind hazard for a specific site is defined in terms of maximum
wind velocity experienced at the specified height of the building
over the given averaging time (i.e., gust) while accommodating
the factors accounting for terrain roughness and other topographic
factors. For a given bluff body immersed in wind flow, the wind
velocity fluctuations are to be converted into time-varying forces
to be able to conduct nonlinear time history analysis in such a
way that decision variables can be generated to ease communica-
tions with stakeholders and owners. Tall buildings are subjected to
nonuniform time-varying wind loads along their height, which vi-
brates at random frequencies. The winds fluctuate about a mean
wind speed corresponding to the height at which it acts. This is
shown in Fig. 2(a). Wind models based on straight-line conditions
cannot predict the structural response beyond the fundamental mode
of vibration. Fig. 2(b) shows the comparison of probability density
functions (PDFs) of wind speeds in Miami-Dade County, Florida,
derived from two different sources. The climatological records were
obtained from the archives of the National Oceanic and Atmospheric
Administration (NOAA). The records over a duration of 50 years
were processed and their PDFs were developed. The second curve
shows the wind speed distribution generated with the design wind
speed at Miami-Dade County (58 m=s) as the mean wind speed.
Upon comparison of the two curves, it can be seen that the site-
recorded wind speed data are distributed over a very narrow range
and below 18 m=s (40 mph). Hence, to cover a wider range and
account for extreme wind speeds in the study, the PDF generated
based on the ASCE design wind speed is taken as the reference.
The wind rose diagram for wind speeds based on meteorological
data is also given in Fig. 2(c), which shows the prevalent direction
of wind speeds at the location. In this study, several sets of analyses
are conducted to cover 90% of wind speeds in the probability den-
sity function for 3-s mean wind speeds given by ASCE for Miami-
Dade County.

It is important to know the mean basic wind speed acting on a
building and its variation in the time domain for the purpose of
performance-based design (PBWD). This is because these wind
fluctuations with respect to time contribute to the buffeting
(turbulence-induced) and self-excited (motion-induced) loads on
a building, thus influencing the building wind-induced vibrations
significantly. In this study, the parameters required for generating
the wind-load time histories for various locations of the building
along its height were extracted from wind tunnel experiments.
The experiments were conducted in the AABLWind and Gust Tun-
nel at the WiST Lab located at Iowa State University (Hou and
Sarkar 2018). For this purpose, the aerodynamic properties of
the section model of the example tall building that is subject to
a two-dimensional smooth flow were extracted and applied to

Hazard 
Analysis

Structural 
Analysis

Damage 
Analysis

Loss 
Analysis

Intensity
Measure

Engineering
Damage

Parameter

Damage
Measure

Decision
Variable

Fig. 1. Flowchart of steps involved in PBWE.
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predict the wind loads on the tall building in time domain, where
the variations of wind velocities (mean and fluctuating) in a typical
atmospheric boundary-layer wind along its height were considered.
A section model (1∶400 scale) of the Commonwealth Advisory
Aeronautical Research Council (CAARC) standard tall building
(Melbourne 1980) with a rectangular cross-section was tested in
the aerodynamic test section of the wind tunnel in uniform and
smooth flow to obtain the static mean load coefficients. The section
model dimensions are: length L ¼ 1.14 m (45 in.), width B ¼
0.114 m (4.5 in.), and depth D ¼ 0.076 m (3 in.) depth, with a
width-to-depth ratio (B=D) of 1.5. Two 64-channel pressure trans-
ducers (Scanivalve ZOC33/64 Px) were used to measure the surface
pressures on the model at 128 pressure taps, with 36 taps distributed
around its cross-section at each of the three locations along the
model length and 5 additional taps between these three locations
along the centerline of the four faces of the cross-section. Surface
pressures were integrated to obtain the mean aerodynamic loads on
the model. The model was tested at various angles of attack (AOAs)
ranging from 0° to 90° with increments of 5°. These tests were con-
ducted to acquire the relationship between mean aerodynamic force
coefficients (lift, drag, and moment coefficients) and AOA. The
derivatives of the static load coefficients at a given AOAwere then
estimated using these functions.

Aeroelastic loads on flexible tall buildings are composed of
buffeting and self-excited forces. The equations of motion for
wind-induced response of a tall building at any height z and time
t is given by Eqs. (3)–(5). Pictorial representation of the forces
given subsequently are shown in Figs. 3(a and b)

Across-wind response∶mðḧðz; tÞ þ 2ςhωhḣðz; tÞ þ ω2
hhðz; tÞÞ

¼ LBðz; tÞ þ Lseðz; tÞ ð3Þ

Along-wind response∶mðp̈ðz; tÞ þ 2ςpωpṗðz; tÞ þ ω2
ppðz; tÞÞ

¼ DBðz; tÞ þDseðz; tÞ ð4Þ

Torsional response∶ Iðα̈ðz; tÞ þ 2ςαωαα̇ðz; tÞ þ ω2
ααðz; tÞÞ

¼ MBðz; tÞ þMseðz; tÞ ð5Þ

wherem = mass per unit heightH of the building; I = mass moment
of inertia about the centroidal axis per unit height H; [ςh, ωh],
[ςp, ωp], and [ςα, ωα] = critical damping ratio and natural frequency
in the across-wind, along-wind, and torsional modes of vibration,
respectively; [ḧ, ḣ, h], [p̈, ṗ, p], and [α̈, α̇, α] = acceleration, veloc-
ity, and displacement in the across-wind, along-wind, and torsional

 

0.00
0.01
0.02
0.03
0.04
0.05
0.06
0.07
0.08
0.09
0.10

0 50 100 150 200 250

PD
F

Wind Speed (mph)

ASCE climatological records

(b)

(c)

(a)

Fig. 2. (a) Schematics of fluctuating wind speed about the mean at different heights of the building; (b) PDF of wind speeds at Miami-Dade County;
and (c) wind rose diagram based on NCDC data.
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directions, respectively; LBðz; tÞ, DBðz; tÞ, and MBðz; tÞ = buffet-
ing loads per unit height H in the across-wind, along-wind, and
torsional directions; and Lseðz; tÞ, Dseðz; tÞ, and Mseðz; tÞ = self-
excited loads per unit height H in the across-wind, along-wind,
and torsional directions acting on the structure.

Self-excited loads are due to the motion of the building under
the action of buffeting wind loads. These loads act in the across,
along, and torsional directions. The equations for the three self-
excited load components per unit height of the building are given
subsequently:

LseðtÞ ¼
1

2
ρU2B

�
KH�

1

U
ḣþ KH�

2B
U

α̇þ KH�
5

U
ṗ

þ K2H�
4

B
hþ K2H�

3αþ K2H�
6

B
p

�
ð6Þ

DseðtÞ ¼
1

2
ρU2B

�
KP�

5

U
ḣþ KP�

2B
U

α̇þ KP�
1

U
ṗ

þ K2P�
6

B
hþ K2P�

3αþ K2P�
4

B
p

�
ð7Þ

MseðtÞ ¼
1

2
ρU2B2

�
KA�

1

U
ḣþ KA�

2B
U

α̇þ KA�
5

U
ṗþ K2A�

4

B
h

þ K2A�
3αþ K2A�

6

B
p

�
ð8Þ

where B = width of the section model, measured in the along-wind
direction; H�

i , P
�
i , and A�

i = known as flutter derivatives, which are
functions of normalized wind speeds known as reduced velocity
ðRV ¼ U=nB;K ¼ ωB=UÞ and the cross-sectional shape of the
model, obtained from the wind tunnel tests conducted on section
models;U is mean wind speed; n ¼ nh;p;α = natural frequency (Hz)
of the model associated with the three degrees of freedom as in
Eqs. (3)–(5) at zero wind speed; ḣ, α̇, and ṗ = velocity components
in the across, along, and torsional directions, and h, p, and α =
displacements in the across, along, and torsional directions, respec-
tively. The initial conditions applied for displacements and veloc-
ities were used to compute the self-excited loads for the first time
step. The response of the structure has to be recorded at each time
step and incorporated into the load calculations for the subsequent
time steps. This could be done with the use of a feedback loop in the
program. However, the effects of self-excited loads were incorpo-
rated into this study by substituting the mechanical damping Cmech
of the structure with an effective damping Ceff that included the
combined effects of both mechanical and aeroelastic damping in
terms of flutter derivatives, as shown in Eqs. (6)–(8). Hou and

Sarkar (2018, 2021) has discussed the need to address self-excited
forces in tall buildings in addition to buffeting forces. This could be
explored in future studies. The effects of aeroelastic stiffness on the
overall stiffness of the building were neglected in this analysis.
Rayleigh damping (used in the modeling of damping in OpenSees
version 3.0.3) was used here to construct a damping matrix in a
classical formulation. It is a viscous damping model that is a com-
bination of damping proportional to the stiffness and inversely pro-
portional to the mass of the structure. It estimates the modal
damping ratio for the higher modes of vibration of the structure that
vary with the frequency of the modes using the damping ratio of the
first two modes of vibration that are either assumed or known from
measurements. An eigenvalue analysis is necessary prior to deter-
mining the damping ratios corresponding to the higher modes that
use the first two natural frequencies of the system for its estimation.
From the modal analysis, it was observed that the first two modes of
vibration are in the longitudinal and lateral directions of the build-
ing, whereas higher modes (from the fifth mode) were torsional in
nature. The effective damping of the fundamental mode (along-
wind) at a given wind speed (U) can be estimated using the relation-
ship in Eq. (9a), where the mechanical damping ratio is assumed as
1.5%, ω is taken as the fundamental frequency, and the flutter
derivative P�

1ðKÞ that defines the aerodynamic damping is estimated
from quasisteady (QS) theory [Eq. (9b)]. The Rayleigh damping
(mechanical damping) for the higher modes was calculated based
on the first two modal frequencies of vibration, whereas the aero-
dynamic damping for the second and higher modes, including tor-
sional mode, was ignored here. This can be justified because the
magnitudes of flutter derivatives (FDs) associated with aerodynamic
damping in a specific mode become very small compared to the
mechanical damping as modal frequency increases or reduced veloc-
ity decreases at the specific wind speeds considered here:

Ceff ¼ Cmech þ Caero ¼ Cmech −
�
ρB2ω
2m

�
P�
1ðKÞ ð9aÞ

P�
1 ¼ − 2

K
CD ð9bÞ

where m = mass per unit height of the building; and ω = natural
frequency in the fundamental mode of vibration. The drag coeffi-
cient CD used in Eq. (9b) was obtained from wind tunnel tests con-
ducted on a scaled model of a cross-section with the same aspect
ratio as the plan of the building. The study assumed a constant CD
along the height of the building and hence a constant P�

1 for the
building at a given reduced velocity.

Buffeting represents the turbulence-induced loads on a tall
building. The wind acting on a tall building excites it under the

B

D
Along-wind

Across-wind

(a) (b)

Torsional

z

Height of the building

Turbulent Wind Loads

Fig. 3. (a) Forces acting on the cross-section; and (b) wind speed acting at height z of the building.
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action of a mean wind speed UðzÞ at elevation z from the ground
and time-varying or turbulence components uðz; tÞ and vðz; tÞ in
the along-wind and across-wind directions about the mean wind
speed UðzÞ. The turbulent time histories were generated based
on the algorithm proposed by Deodatis (1996). The process in-
volved generating the [n × n] cross-spectral density matrix, where
n denotes the number of variates or time histories to be generated.
The elements of the matrix were derived based on power spectral
density functions (PSDFs) given by Kaimal et al. (1972). The
PSD function for the longitudinal turbulence component u can then
be calculated using Eq. (10)

Suuðz;ωÞ ¼
1

2

200

2π
u2�

z
UðzÞ

1�
1þ 50 ωz

2πUðzÞ
�
5=3 ð10Þ

where u� = friction velocity; and ω = circular frequency, with an
upper cutoff frequency beyond which the elements of the cross-
spectral density maybe assumed as zero. The elements of an [n × n]
cross-spectral density matrix are given as

SjjðωÞ ¼ SjðωÞ ð11Þ

SjkðωÞ ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
SjðωÞSkðωÞ

q
γjkðωÞ ð12Þ

In Eq. (12), γjkðω) is the coherence function between velocity
fluctuations between the variates and is given by

γjkðωÞ ¼ exp

�
− ω
2π

CzΔz
1
2
ðUðz1Þ þ Uðz2ÞÞ

�
ð13Þ

Δz ¼ z2 − z1 ð14Þ

The cross-spectral density matrix is then decomposed using
Cholesky’s method. The elements along the diagonal of the lower
triangular matrix obtained after decomposition are real, and the off-
diagonal terms are complex functions. The stochastic process given
by fjðtÞ can then be simulated by the series given by Eq. (15) as
N → ∞. The simulations were performed using fast Fourier trans-
forms (FFTs)

fjðtÞ ¼ 2
Xn
m¼1

XN
l¼1

jHjmðωmlÞj
ffiffiffiffiffiffiffi
Δω

p
cos½ωmlðtÞ − θjmðωmlÞ þ φml�

ð15Þ
where Hjmðωml) = elements of the matrix obtained after the
Cholesky decomposition. The obtained turbulent time histories were
converted to buffeting loads. The expressions for buffeting loads
based on quasisteady theory were adopted here, where for typical
turbulence intensities present in the atmosphere, it may be assumed
that the squares of the velocity fluctuations are negligible with re-
spect to the square of the mean wind speed and that the load coef-
ficients are independent of the frequency in the range considered.
The equations for the buffeting loads in quasisteady theory are given
by Eqs. (16)–(18)

DBðtÞ ¼
1

2
ρUðzÞ2Bh

�
CD

�
1þ 2

uðz; tÞ
UðzÞ

�

þ
�
dCD

dθ
− CL

�
vðz; tÞ
UðzÞ

�
ð16Þ

LBðtÞ ¼
1

2
ρUðzÞ2Bh

�
CL

�
1þ 2

uðz; tÞ
UðzÞ

�
þ
�
dCL

dθ
þ CD

�
vðz; tÞ
UðzÞ

�

ð17Þ

MBðtÞ ¼
1

2
ρUðzÞ2B2h

�
CM

�
1þ 2

uðz; tÞ
UðzÞ

�
þ
�
dCM

dθ

�
vðz; tÞ
UðzÞ

�

ð18Þ
where h = mean story height of the building at height z; CD, CL, and
CM = aerodynamic load coefficients for drag, lift, and torsional mo-
ments, respectively; and dCD=dθ, dCL=dθ, and dCM=dθ = corre-
sponding derivatives of these coefficients with respect to angle of
attack (θ), all of which were obtained from the wind tunnel tests.
These coefficients and their derivatives are dependent on the angle
of attack θ. The aerodynamic load coefficients in Eqs. (16)–(18)
were obtained from wind tunnel tests on scaled models of cross-
section of the building. Hence, the aerodynamic load coefficients
and their derivatives used in the wind load model are assumed to
be constant over the height of the building. This limitation can be
addressed by extracting the aerodynamic load coefficients from
wind tunnel tests on scaled models of buildings. These coefficients
and their derivatives are dependent on the angle of attack (θ) of wind
with respect to the building on the horizontal plane, as given in
Table 1 (normalized by dynamic pressure 1

2
ρU2 and building dimen-

sion B) obtained from the wind tunnel tests. The buffeting loads in
the along-wind, across-wind, and torsional directions are considered
in this study.

Vortex shedding can indeed be a major concern for very tall
buildings and slender structures under the action of wind loads. Tall
buildings can shed similar-sized vortices along their height when
they have a uniform shape and are subjected to steady wind actions.
However, across-wind response due to vortex shedding usually ex-
ceeds along-wind response only in tall buildings with a height as-
pect ratio greater than 3 (Liang et al. 2002). When the frequency of
vortex shedding (fs) is equal to the natural frequency (fn) of the
building, the across-wind vibrations are amplified, and the range of
velocities over which they occur is called the lock-in velocity range.
Vibration regimes in structures due to vortex shedding are classified
as outside or inside the lock-in range. The vibrations are quite small
outside the lock-in range, which covers a range of wind speeds or
vortex frequencies bracketing the natural frequencies of the struc-
ture (Ehsan and Scanlan 1990). The expected vortex induced vibra-
tions (VIVs) of a tall building can be checked with knowledge
of the Strouhal number. The Strouhal number (St ¼ fsD=U) for
a building cross-section with B=D ratio of 1.5 at a 0° angle of at-
tack, as used here, is given as 0.10 by Knisely (1990). Substituting
the values of structural frequency, cross-sectional dimension, and
Strouhal number, the lock-in velocity for the building is reported in
the range of 11 m=s (24 mph) to 33.5 m=s (75 mph) corresponding
to the first five modes of vibrations. Because this study focused on
extreme wind effects at high wind speeds (45–80 m=s) that are
much higher than those calculated for VIV and outside the lock-in
range, the effects of VIV are negligible and were neglected in this
study for the sake of simplification (Martin et al. 2019; Teoh et al.
2019). However, the response from VIV is amplified inside the
lock-in range and should be considered for the design of tall
buildings. The directionality of wind has not been explicitly

Table 1.Aerodynamic coefficients for rectangular section with B=D ¼ 1.5

AOA CD CL CM

dCD

dθ
dCL

dθ
dCM

dθ

0 1.21 0 0 0.00 −3.55 −0.573
34 1.26 0.38 0.057 −3.00 −0.23 0.203
90 2.93 0 0 0.00 −2.74 −0.394
Note: AOA (angle of attack) = wind direction at 0 degree AOA is along the
longer dimension B, and it is positive in the counterclockwise direction.
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explored in the study because the building is designed without the
knowledge of the orientation of the worst wind. However, the di-
rectionality factor of Kd given by ASCE 07-16 (ASCE 2016) was
taken as 1.0 in the calculation of wind loads during the design of
building. Hence, there was no reduction of wind loads based on di-
rectionality of wind, which led to a more conservative design. The
design can be improved by conducting wind tunnel studies consid-
ering the directionality effects as an alternative to the design spec-
ifications given by ASCE 07-16.

The self-excited and buffeting loads described in this section
incorporated wind–structure interaction through flutter derivatives
and aerodynamic coefficients in the equations for drag and lift forces
and torsional moments. The interaction parameters (IPs) modeled
the interaction of the structure with the environment. They were
highly dependent on the structural properties and wind load models
used in the analysis. All values of IPs were considered deterministic
and taken to be equal to the mean values.

Structural Analysis

Nonlinear response history analysis is an appropriate tool available
for predicting building response at varying levels of hazard inten-
sities. Various aspects of nonlinear analysis, such as acceptance cri-
teria, element discretization, and assumptions on modeling of energy
dissipation through viscous damping, must be tailored to the specific
features of the analytical representation of the system. The necessary
components of the structural model required to capture the nonlinear
response and also to provide an accurate representation of the system
can be chosen from building performance models. Building perfor-
mance models are a collection of data presenting the building assets
at risk and their exposure to wind hazards. The data contain the
damage that the structural and nonstructural components (fragility
groups and performance groups) can sustain and its consequences
on the occupant safety in terms of life-threatening debris generation
and repair costs. It also contains the location of each component
within the structure and its vulnerability to wind hazards. It could
also include details on the occupancy of the building (population
models) and its distribution of population over the time of the day
and throughout the year. The population models are generated for
office spaces, education, healthcare, hospitality and multiunit res-
idential centers, research laboratories, and retail stores.

The elements and components vulnerable to damage are assigned
fragility specifications which includes the component damage states,
fragility functions, and consequence functions. A fragility group is
a collection of components with the same damageability and con-
sequences of damage. This could be on account of similarity in
construction and installation techniques, potential modes of dam-
age, vulnerability to wind demands, and potential causes resulting
from damage. The details on the fragility groups are available in
the FEMA database called the fragility database [FEMA P-58-3
(FEMA 2018c)]. Fragility groups are further subclassified into per-
formance groups. A performance group contains components that
are subjected to the same design loads. They are classified based on
the story-drift and floor accelerations and are typically categorized
based on story level and direction of orientation. The interest of this
study was the exceedance probability of the largest system response,
also called the engineering demand parameters (EDPs) defined as Y
over a threshold value. The structural responses used in the study are
the interstory drifts and floor accelerations. The story-drift ratios
given in the FEMA database offer much more specific limits based
on the progression of damage for structural and nonstructural com-
ponents. This is not available in the standard codes and specifica-
tions, where only general story-drifts are given based on a pass or
fail criterion. The fragility groups selected for this paper are given in
Table 2. To provide a comparison, the drift-limit criteria available in
various international codes and standards are also given in Table 3.
It can be seen that there are very few limits that can be obtained
from the standards, and none of them provide limits based on dam-
age progression.

The drift limits taken from the FEMA database that are more
component specific were used in the fragility and loss analysis
in this paper. Discussion on this is presented later in the paper. Tall
buildings are also expected to ensure occupant comfort during
building motion in addition to satisfying strength and serviceabil-
ity requirements to preserve the integrity of the structure. Property
developers and building owners continue to face a significant chal-
lenge in ensuring occupant comfort in high-rise structures with com-
plex geometry. However, when such motion is not accounted for, the
occupants of high-rise buildings can feel uncomfortable, leading
to various psychological and physiological impacts on them and
reduced productivity levels in work environments. High building
accelerations can cause discomfort to occupants, leading to anxiety,

Table 2. Fragility groups, damage states, and drift ratio limits obtained from FEMA database

Structural or nonstructural
components

Damage
parameter Damage state Description Median/dispersion

Welded column splices
(B1031.021c)

Story drift ratio DS1/DS2, DS3 DS1: Ductile fracture of the groove weld flange splice. Damage in
field is either obscured or deemed not to warrant repair. No repair
conducted.

0.02=0.4

DS2: Ductile fracture of the groove weld flange splice. 0.02=0.4
DS3: DS1 followed by complete failure of the web splice plate and
dislocation of the two column segments on either side of the splice.

0.05=0.4

Cold formed steel walls
(B1061.021a)

Story drift ratio DS1, DS2 DS1: Pull out of sheathing fasteners from studs. 0.019=0.3
DS2: Buckling of steel sheathing. Buckling of framing members. 0.019=0.25

Glass-type curtain walls
(B2022.021)

Story drift ratio DS1, DS2 DS1: Glass cracking. 0.0084=0.25
DS2: Glass falls from frame. 0.0107=0.35

Gypsum wall partitions
(C1011.001a)

Story drift ratio DS1, DS2,DS3 DS1: Screw pop-out, cracking of wall board, warping or cracking of
tape, slight crushing of wall panel at corners.

0.004=0.45

DS2: Moderate cracking or crushing of gypsum wall boards
(typically in corners). Moderate corner gap openings, bending of
boundary studs.

0.011=0.35

DS3: Buckling of studs and tearing of tracks. Tearing or bending of
top track, tearing at corners with transverse walls, large gap
openings and walls displaced.

0.019=0.25
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headaches, dizziness, and nausea. The root mean squared (RMS)
and peak values of accelerations are used as EDPs to address oc-
cupant comfort. RMS accelerations can be a good representation
of the sensations experienced by occupants in sustained events be-
cause the duration and number of cycles of motion that occur above
a threshold value may be more significant for occupants than an
occasional high peak. However, occupants could also be dramati-
cally affected by large events or peaks in response. Burton et al.
(2006, 2015) and Kwok et al. (2009) presented serviceability limits
on standard deviation accelerations instead of RMS accelerations
because the latter does not consider the mean value. The limits
were recommended based on a series of investigations conducted
using motion simulators at Hong Kong University of Science and
Technology (HKUST) as well as full-scale surveys. These studies
aimed at addressing biodynamic reactions of the human body to
building-motions, effects of such vibrations on manual tasks, cog-
nitive performance, and occupant well-being.

Irwin (1975) was one of the first researchers stressing the need
for standard design recommendations for habitability or occupant
comfort in addition to strength and serviceability criteria. Based on
the data from a study, he identified that accelerations controlled
human perception in low-frequency vibrations (up to 1.9 Hz). Irwin
(1978) expanded recommendations for limiting accelerations for
occupant comfort. The recommendations were made for buildings,
bridges, and other offshore structures and later served as the ma-
jor foundation for development of ISO 6897 (ISO 1984) which was
the first international standard developed for evaluation of occupant
comfort for fixed structures such as buildings and offshore struc-
tures subjected to low-frequency vibrations. The code continues to
be used today without any revisions. The standard proposes mag-
nitudes of low-frequency horizontal motion that should produce
only minimum adverse comment from people working or living
in buildings. The threshold limits are recommended based on
the use of the structure in case of buildings and the nature of work
being carried out in the case of offshore structures. The code gives
limiting horizontal motions in terms of RMS accelerations corre-
sponding to discrete frequencies of vibrations. The limiting accel-
erations given by the code for buildings based on their functionality
are discussed further in discussions on building responses.

The Architectural Institute of Japan (AIJ-GBV 1991) intro-
duced the requirements to evaluate habitability in buildings sub-
jected to wind-induced vibrations. The peak accelerations with a

return period of 1 year were used in the determination of perception
thresholds. Several studies were conducted in the following years
by researchers to expand on these definitions (Kanda 1988, 1990;
Denoon et al. 1999, 2000; Tamura 1998). Based on the evolution of
such studies on habitability and occupant comfort, the AIJ-GBV
was revised in 2004. AIJ-GBV (2004) covered wind-induced vibra-
tions up to 5 Hz. This was to account for the vibrations experienced
by low-rise buildings under wind loads. Fig. 4 shows the threshold
curves given by the standard. Because the curves are given in terms
of perception probability, it is up to the designers and building own-
ers to choose the curve according to their requirements. The code
itself does not impose regulations on the choice of curves.

Structural Model

A 44-story steel moment frame building under the wind load actions
was designed for this study. The building was 160 m (528 ft) tall and
had a plan aspect ratio (B=D) of 1.5∶1. The steel frames were com-
posed of beams made from wide flanged I-sections and columns of
cross-rectangular sections built up with wide flanged I sections.
The steel beams in the frame had a span of 8 m (26.25 ft), with

Table 3. Limiting values of interstory drift in nonstructural components from standard building codes

Sl no. Structural/ or nonstructural component Drift limit Reference standard or literature

1 Exterior walls with brittle finishes L=240 International Code Council (2003)
Exterior walls with flexible finishes L=120 L: Length of wall/cladding
Aluminum panels used in walls of sunroom additions L=60

2 Structural members supporting glass unit masonry L=600 International Code Council (2003)
3 Drift of walls and frames to prevent damage to

nonstructural components
L=600 to L=400 or 10 mm ASCE 07-16 (ASCE 2016)

4 Roof drift without seismic loads 0.05 m Foschi et al. (2002)
Roof drift with seismic loads H=100 H: height of the building

5 Walls, face loading h=200 Building Research Association of
New Zealand h: height of the wall orWalls, in-plane loading h=500 or 25 mm

Facades or curtain walls h=150 cladding
Fixed glazing <2× clearance or <10 mm
Other linings h=250
Dynamic deflection in vibrations <3 mm

6 In-plane loading of walls and masonry and plaster h=500 < 10 mm Cooney and King (1988)
Moveable partitions h=500 < 25 mm h: height of the wall or cladding unit
In-plane loads on facades and curtain walls h=150 b: clearance of window frame
Fixed glazing 2b < 10 mm

7 Interior finishes h=500 National Building Code of Canada
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Fig. 4. Threshold accelerations given by AIJ-GBV (2004) as a function
of frequency.

© ASCE 04022119-8 J. Struct. Eng.

 J. Struct. Eng., 2022, 148(9): 04022119 

D
ow

nl
oa

de
d 

fr
om

 a
sc

el
ib

ra
ry

.o
rg

 b
y 

Io
w

a 
St

at
e 

U
ni

ve
rs

ity
 o

n 
01

/1
8/

23
. C

op
yr

ig
ht

 A
SC

E.
 F

or
 p

er
so

na
l u

se
 o

nl
y;

 a
ll 

rig
ht

s r
es

er
ve

d.



six spans along the longer direction and four in the perpendicular
direction. The three-dimensional (3D) and plan views of the model
are shown in Fig. 5. The building was designed under static loads
based on the provisions of AISC 360 and ASCE 7 for a design wind
speed of 58 m=s (130 mph) for Miami Dade county in Florida.
The static analysis and design was conducted in SAP2000 (CSI
2018), and frame sections were chosen that satisfied the structural
requirements.

To conduct the nonlinear time-history analysis of the whole
time-history of the wind events, the structure was modeled in Open-
SEES (McKenna et al. 2000). OpenSEES is a software framework
for developing applications to simulate the performance of struc-
tural and geotechnical systems subjected to earthquakes. Hence,
the software can perform dynamic analysis considering nonlinear-
ities, and its use can be extended to wind analysis applications. The
design of tall buildings under dynamic loads introduces a series of
challenges that need to be met through consideration of scientific,
engineering, and regulatory issues specific to the modeling, analysis,
and acceptance criteria appropriate for these unique structural
systems. ATC-72, issued by Malley and Heintz (2008), provides
guidance on selection of component model types, modeling of
deterioration, capture of P-Delta effects, consideration of damping,
quantification of expected properties, and consideration of uncer-
tainty. The P-delta effects on the building due to gravity and lateral
loads are incorporated into the model with the use of the P-delta
transformation available in the OpenSEES library. Geometric non-
linearity is attained through the transformation matrix from the
natural to global coordinates. In the P-delta transformation, the ma-
trices include the difference in transverse displacements at nodes,
thus modifying the stiffness matrix.

The materials and elements available in the OpenSEES library
were used in the development of the model. The nodes were as-
signed based on the respective story heights and frame spacing.

Additional nodes at the joints were assigned to model the bi-
linear springs. Here the beam–column elements were modeled as
displacement-based beam-column elements and zero-length ele-
ments were used to model the shear tab type beam–column con-
nections. The gusset-to-column connections were modeled with
rigid elements. Fig. 6 shows the two-dimensional (2D) represen-
tation of the line element–based model used. The springs recorded
the nonlinear response of the structure. The rotational springs were
modeled based on Modified Ibarra–Medina–Krawinkler deteriora-
tion model with bilinear hysteretic response. Accurate modeling
of deterioration involves knowing the relevant material and geo-
metric properties that contribute to strength and stiffness degrada-
tion in structural components. Neglecting deterioration will make it
impossible to assess the performance near collapse. However, the

Fig. 5. Forty-four–story steel frame building: (a) 3D view of the SAP model; and (b) plan view with column sections along beam lines.

Shear Tab Connections

Gusset Connections
With rigid elements

Force based beam-
Column elements

Fig. 6. 2D representation of the element-joint model used.

© ASCE 04022119-9 J. Struct. Eng.

 J. Struct. Eng., 2022, 148(9): 04022119 

D
ow

nl
oa

de
d 

fr
om

 a
sc

el
ib

ra
ry

.o
rg

 b
y 

Io
w

a 
St

at
e 

U
ni

ve
rs

ity
 o

n 
01

/1
8/

23
. C

op
yr

ig
ht

 A
SC

E.
 F

or
 p

er
so

na
l u

se
 o

nl
y;

 a
ll 

rig
ht

s r
es

er
ve

d.



accurate modeling is nearly impossible due to the inherent uncer-
tainties associated with the material characteristics, design, and
construction techniques. Moreover, an accurate deterioration model
is not required because the wind actions on the building itself are
highly uncertain in nature. Modeling of deterioration is equivalent
to modeling the consequences of damage on the hysteretic behavior
of structural components. Damage occurs due to monotonic load-
ing and is accentuated by cyclic loading. It affects all limit states but
becomes a predominant issue as a structure approaches collapse.
Incorporation of deterioration becomes critical when a structure ap-
proaches collapse. The deformation associated with the capping
(peak) point and the postcapping tangent stiffness are the primary
parameters on which collapse capacity depends, followed closely
by the rate of cyclic deterioration. Modeling of cyclic response due
to deterioration is based on the concepts of a backbone curve, a set
of rules that define the basic characteristics of the hysteretic behav-
ior between the bounds defined by the backbone curve and a set of
rules that define various modes of deterioration with respect to the
backbone curve.

The nonlinear time history analyses in this study cover wind
speeds in the range of 45 to 80 m=s (100 to 180 mph). Wind speed
of 80 m=s (180 mph) in Miami, Florida, corresponds to a mean
recurrence interval (MRI) of 3,000 years. The peak displacements
from such a wind event are highly likely to be nonlinear. Applica-
tion of cyclic wind loads at high wind speeds for long durations can
lead to failure of several structural members. Studies conducted by
Abdullah (2020) on reinforced concrete members under extreme
wind loads demonstrated that the structural behavior of the mem-
bers under wind loads are very similar to that under seismic load-
ing. The wind loading protocol was generated to replicate the cyclic
pattern equivalent to a 3-hour wind action on a building. The wind
speed of 80 m=s (180 mph) corresponding to a 3,000-year MRI
was chosen for the study. The results concluded that the seismically
detailed beams behaved similarly under wind loads to seismic loads
except for slightly less initial stiffness and more pinching in the
hysteresis loops. Hence, the deterioration modeling was done using
the modified Ibarra–Medina–Krawinkler model available in the
OpenSEES library.

The common input parameters for the deterioration model are
elastic stiffness, strain hardening ratios for positive and negative

loading directions, effective yield strengths for positive and nega-
tive loading directions, rate and cyclic deterioration parameters for
strength deterioration, postcapping strength deterioration, unload-
ing and acceleration reloading stiffness deterioration, precapping
and postcapping rotations for positive and negative loading direc-
tions, residual strength ratios for positive and negative loading direc-
tions, ultimate rotation capacities for positive and negative loading
directions, rate of cyclic deterioration for positive and negative load-
ing directions, and elastic stiffness amplification factor (if used for
plastic hinge elements only). The backbone curves for each of the
member sections were developed using an interactive web-based
tool developed by Lignos and Krawinkler (2011). The tool requires
the user to specify the beam full length L; the beam unbraced length
Lb, which is defined as the distance from the column face to the
nearest lateral brace; the expected yield stress Fy of the steel
material; the capping-to-yield ratio Mc=My; the expected residual
strength ratio K; and the ultimate rotation θu of the steel compo-
nent. The backbone curves developed for beam sections used in the
longitudinal direction of the building are shown in Fig. 7. Table 4
gives the corresponding input parameters required for the deterio-
ration model obtained from the interactive tool.

The modeling of the joints was such that the primary nodes were
fixed in their rotational degrees of freedom (DoFs) and tied to the
springs that account for the rotations. The nodes at the base were
modeled for fixity in the translational and rotational directions.
The nodes in each floor were assigned to a diaphragm using the
rigid diaphragm function. The beams and columns of the framewere
composed entirely of structural steel members. The material from
the OpenSees library, Steel02 (Giuffre–Menegotto–Pinto model)
(Lignos and Krawinkler 2011) was used to model the members,
which had a yield stress Fy ¼ 345 MPa (50 ksi) and modulus
of elasticity E¼ 2 × 105 MPa (29,000 ksi) with isotropic hardening
properties. The parameters used in the material definition to tran-
sition from elastic region to postyield behavior included a strain
hardening ratio of 0.05, R0 ¼ 15, cR1 ¼ 0.925, and cR2 ¼ 0.15.

There are abundant data on the damping measures of tall build-
ings under the action of wind-induced vibrations, including several
studies and standard specifications. ATC 72-1 specifies the damp-
ing range of the structure to be within 0.5% to 1% of the critical
damping for steel framed buildings under serviceability checks.

(a) (b)

Fig. 7. Backbone curve of the beams in the transverse direction: (a) W24 × 370; and (b) W24 × 250.

Table 4. Input parameters required for the deterioration model (for beams in transverse direction)

Section
Ke kip-ft=rad
(kN-m=rad)

My kip-ft
(kN-m)

Mc kip-ft
(kN-m)

Mr kip-ft
(kN-m)

Θp
(rad)

Θpc
(rad)

Θu
(rad)

Λ
(rad)

K (residual
strength ratio)

W24 × 370 607,187 (822,739) 5,697 (7,719) 6,323 (8,568) 2,279 (3,087) 0.051 0.437 0.06 6.314 0.4
W24 × 250 384,703.2 (521,272) 3,751 (5,082) 4,163 (5,641) 1,500 (2,033) 0.038 0.276 0.06 3.286 0.4
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The values are increased to 1% to 1.5% under strength limit state
checks. The ISO (1997) standard specifies a damping of 1.5% for
steel systems under strength checks for wind loads. The damping
measured from several buildings under wind loads is given in Table 5.
Based on the available literature, the structural damping for the
model is set to 1.5% under strength checks.

The frame was composed of rectangular cross-sections built up
from wide flanged I-sections for the columns and wide flanged
I-sections for the beams. The various sections used in the model
are listed in Table 6. The column and beam section dimensions
were gradually reduced with increasing story levels because the
loads acting on the members of higher floor levels were lower than
those at the bottom levels. The sections were modeled using the
fiber section function built into the OpenSEES library. This enabled
modeling each section as a group of fibers with a specific uniaxial
material, area, and location. The number of fibers along the width
and thickness dimensions were taken as 6 and 1, respectively. The
elements forming the beams were defined as displacement-based
beam–column elements with concentrated plasticity through rota-
tional springs at their ends. The mass of the structural components
was defined in terms of mass density and assigned with the element
definitions.

The additional loads acting on the structure included superim-
posed dead loads and live loads along with the wind forces. The
dead and live loads were applied on the model as uniformly dis-
tributed floor loads. The calculated dead load had a magnitude
of 2.4 kN=m2 (50 lb=ft2), and the live load had a magnitude of
3.6 kN=m2 (75 lb=ft2). Wind loads consisting of turbulent buffet-
ing forces were applied to the nodes on the surface along and across
the direction of wind flow.

Damage Model

The damage measure of a structure is estimated as:

DM ¼ EDP
C

ð19Þ

where C = component’s capacity, as follows:

GðdmjedpÞ ¼ PðDM > dmjedpÞ ¼ P

�
edp
C

> dm

�
ð20Þ

The threshold of dm is set as 1.

Validation of the Analytical Model

The validation of the suggested model was done in comparison
with the collapse assessment of steel moment frames based on
E-Defense full-scale shake table collapse tests. A two-by-one bay
full-scale four-story steel structure was tested to collapse at the
E-Defense shaking table facility in September 2007. The dimensions
of the test structure were 10 × 6 m (33 × 20 ft) in the longitudinal
y-direction and transverse x-direction, respectively. The story height
of the structure was 3.5 m (11.5 ft), excluding the first story, which
was 3.875 m (13 ft). The wide flange beams of the test structure
ranged from 340 to 400 mm in depth. The steel columns were
300 × 9 hollow square sections (HSSs). The test structure was
replicated in OpenSEES, and the members and joints were modeled
using the elements and springs detailed in the section “Structural
Model.” The OpenSEES model was able to produce a fairly accu-
rate validation of the test structure. The predominant periods of the
test specimen were reported as 0.80 and 0.76 s in the x-direction
and y-direction, respectively. The periods from the modal analysis
were 0.74 and 0.695 s in the x-direction and y-direction, respec-
tively. The loading protocol for dynamic shaking of the test struc-
ture consisted of progressively increased ground motion intensities
of the JR Takatori motion recorded during the 1995 Kobe earth-
quake. All three components (two horizontal and one vertical)
of this ground motion were applied simultaneously. The test speci-
men was subjected to a sequence of 20% (Level 1), 40% (Level 2),
60%, and 100% of the original JRTakatori record. A comparison of
maximum story drift ratios along the height of the test specimen in
the x-direction for 20%, 40%, and 60% testing phases is shown in
Fig. 8. The figure shows the side-by-side results based on simula-
tions from OpenSEES and experiments. From the results, it can be
seen that the current modeling in OpenSEES is able to reproduce
fair and accurate results of structures under nonlinear time history
analysis.

Modal Analysis

A modal analysis was conducted to determine the fundamental
time periods, modal frequencies, and mode shapes of the building.
The modal frequencies and shapes for the first four modes are
given in Fig. 9. The fundamental mode of vibration was predomi-
nantly flexure parallel to the x-axis. The higher modes were
observed to be non-uniplanar (combination of flexure and torsion)
in nature.

Nonlinear Static Pushover Analysis

The building was subjected to a nonlinear static pushover analysis in
the shorter principal direction of the building. The analysis was car-
ried out for gravity loads along with lateral wind loads. The build-
ing was located in Miami, Florida, and used a mean wind speed
(30-min gusts of 50.5 m=s on Exposure B) of 3-sec gusts of 58 m=s
(130) mph on Exposure C with a return period of 50 years for
the pushover analysis. A pushover analysis using a lumped plas-
ticity model was assumed. The analysis was conducted under
displacement-controlled loading. The wind loads were calculated
using the equivalent static load distribution method, detailed in
ASCE 07-16 (ASCE 2016). The method used the peak base bending
moment to consider the effects of inertial forces instead of peak base
shear force as in seismic engineering. This allowed for accurate
calculation of the gust effect factor in structures with a linear mode
shape and uniform mass distribution. The equivalent static loads
were calculated for the mean, background, and resonant components
of the wind loads. The background and resonant wind loads were

Table 5. Damping measures obtained from various buildings

Structure description Damping (%)

57-story steel-frame office building 0.8
>50-story steel perimeter tube system 0.9
>50-story steel-frame tube system 1

Source: Data from Kijewski-Correa and Pirnia (2007).

Table 6. Cross-sectional details of beams and columns in the model

Cross-section Frame element

CR50 × 3 × 40 × 3 Column (floor 1–10)
CR50 × 3 × 30 × 3 Column (floor 11–22)
CR50 × 2 × 30 × 2 Column (floor 23–33)
CR50 × 2 × 20 × 2 Column (floor 34–44)
W18 × 119 Longitudinal beam (floor 1–44)
W24 × 370 Transverse beam (floor 1–25)
W24 × 250 Transverse beam (floor 26–44)
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expressed as a fraction of the mean wind load component dependent
on the respective gust velocity factor ratios.

The wind load distribution along the height of the building is
shown in Fig. 10(b). The three performance levels chosen were im-
mediate occupancy (IO), life safety (LS), and collapse prevention
(CP). The corresponding drift limits given by FEMA 273 for seis-
mic loads were 0.7%, 2.5%, and 5% of the building height. The

same was adopted in the study presented here for wind loads in
the absence of any recommendation available for the same perfor-
mance objectives under wind events. The goal of this study was to
establish the fundamentals of performance-based engineering in the
context of wind-excited tall buildings, and the assumption was that
the building could experience extreme wind events well above the
design wind speed of the building that could result in significant
deformations. This went beyond the current prescriptive approach
that assumes buildings remain elastic under design wind speeds.
The assumption was validated later in the study where the drift re-
sponse, though low up to the design wind speeds, increased signifi-
cantly for higher wind speeds. The pushover base shear-roof drift
curve is shown in Fig. 10(a). The three performance levels are
shown in the figure. Locations of beam and column plastic hinges
are shown in Fig. 10(c). The locations of plastic hinges are color-
coded to match the performance levels and corresponding drift
limits. The pushover analysis shows plastic hinge formations on
columns between the 23rd and 33rd floors of the building during
the life safety and collapse prevention stages. The beam hinges at
the 1st, 10th, and 22nd floors were formed in the immediate occu-
pancy drift levels, and the others were formed during the life safety
and collapse prevention drift ratios.

Dynamic Time-History Analysis

To understand the structural response under long duration wind
loads, the building was subjected to randomly varying wind loads
for a duration of 30 min. Different time history analyses were per-
formed with wind speeds (3-sec gust at z ¼ 10 m) varying between
45 and 80 m=s (100 and 180 mph). The basic design wind speed
(3-sec gust at z ¼ 10 m) of the building for the preliminary design,
based on static analysis, was 58 m=s (130 mph). Only the along-
wind and across-wind components of the buffeting loads are con-
sidered in the dynamic analysis here. The buffeting wind loads were
generated based on the formulation given in Eqs. (9) and (10), where
the algorithm proposed by Deodatis (1996) was used to generate
multivariate stationary stochastic wind time histories. The mean
wind speed UðzÞ was varied with the height of the building based
on the power law relationship corresponding to a suburban terrain

Table 7. Limiting accelerations given by ISO 6897 (ISO 1984)

Type of structure
Frequency

(Hz)
Limiting acceleration

(m=s2)

General-purpose buildings 0.067 0.081
1.000 0.026

Special-purpose buildings 0.067 0.051
1.000 0.014

Offshore structures 0.067 0.485
1.000 0.156

Fig. 8. Comparison of maximum story drift ratios.
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Fig. 9. Mode shapes of the building: (a) Mode 1: T = 5.42 s; (b) Mode 2: T = 2.67 s; (c) Mode 3: T = 1.87 s; and (d) Mode 4: T = 1.32 s.
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(power law exponent of 0.23). The fluctuating velocity components
(uðz; tÞ, vðz; tÞÞ of the wind time histories were generated for each
floor level of the building (n variates ¼ 44Þ considering the spatial
coherence functions between the velocity fluctuations at different
heights along the building. The power spectral density functions
for the longitudinal u and lateral v velocity components given
by Kaimal et al. (1972) were used, whereas the turbulence intensities
ðIu; IvÞwere varied with elevation per standard ASCE7 profiles. The
sample functions were generated with the use of fast Fourier trans-
form functions, with the lower and upper cutoff frequencies covering
those from the first 10 modes of vibrations as observed from the
modal analysis. A sample wind load time history (drag) at any height
of the building and the variation of turbulence intensity (longitudi-
nal) along the height of the building are shown in Figs. 11(a and b),
respectively. The wind load histories that were generated by

considering different tributary areas in the external and internal pan-
els were applied at the nodes in the transverse direction at every floor
level of the building.

Building Response Evaluation and Discussion

The recorded building responses include acceleration and displace-
ment time histories at every floor level. These responses were used
to evaluate the peak and RMS values of acceleration and interstory
drift variations along the height of the building and also to make
comparisons between different wind speeds. Due to the sudden ap-
plication of wind load histories on the building, the analysis showed
much higher responses (accelerations, displacements, and corre-
sponding member forces) for a few seconds of loading at the

(a) (b) (c)

Fig. 10. (a) Base shear versus roof drift pushover curve; (b) pattern of wind loading on the building along its height; and (c) formation of plastic
hinges along the height of the building.

(a) (b)

Fig. 11. (a) One realization of wind load history at 80 m/s at 1st and 44th story levels; and (b) one realization of the turbulence.
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beginning. The initial increase was found to stabilize after the first
150 time steps, equivalent to 15 s of loading, and hence only the data
beyond the 150th time step are used in the results presented here. The
initial increase, though high, did not exceed the elastic range; hence,
the residual effects of the higher response did not result in permanent
deformations. These comparisons are presented in Figs. 12(a–d). The
interstory drift ratio (IDR) is given as follows:

IDR ¼ ðDi −Di−1Þ
h

ð21Þ

The IDR curves (peak and RMS) showed a sudden rise in the
values at three points along the height of the building. This change
is associated with the reduction in column sections at these levels.
The IDR values showed an increase with increasing wind speeds.
Peak accelerations refer to the absolute maximum acceleration re-
sponse observed for the entire duration of loading. The peak values
obtained from multiple analyses for increasing wind speeds are
shown in the figures given here. From the observations, it can be
seen that the peak accelerations within an analysis increased with
increasing height of the building. The observations were consistent
for wind speeds below the design wind speed of 58 m=s (130 mph).
The jaggedness in the peak accelerations at higher wind speeds can
be attributed to the loss in elasticity of the members in the structure.
On comparing the plots for different wind speeds, it can be seen that
the peak accelerations increased with increasing wind speeds. The
RMS accelerations shown in Fig. 12(b) can be compared with the
limiting accelerations given in Table 7. The accelerations exceed
recommended limits at design wind speed for higher floor levels.
The limits are exceeded for lower floor levels (about 10th story) for
very high wind speeds under long durations of loading. Hence con-
sideration of such long durations of loading is of high importance.

The forces in every member of the structure were recorded.
The member forces are required to identify the locations of plastic
hinges and also to interpret any unusual variations in the recorded
accelerations and displacements in the building. The capacity of the
column and beam members were calculated per the provisions in
AISC 360. The resistance factors given by the LRFD method speci-
fied in the code were adopted in the calculations. The capacity
ratio ðForce acting on themember=Design capacity of thememberÞ

was calculated for each kind of force acting on a section, and, using
the interaction equations given in AISCE 360 (Chapter H), the
adequacy of the member was determined. The various forces act-
ing on the columns and beams are shown in Figs. 13(a and b),
respectively.

The interaction formulae given by the code are given in Eqs. (22)
and (23). Pr, Vr, Tr, and Mr represent the axial, shear, torsional,
and moment forces acting on the member, and Pc, Vc, Tr, and Mc
represent the axial, shear, torsional, and moment capacities of the
member. The beam–column and column capacities were calculated
per the provisions of AISC 360. The maximum capacity ratios for
the outer windward columns in Floors 1 to 4 are shown in Fig. 14.
The time-history variations of the capacity ratios are presented for
two of the realizations for a wind speed of 80 m=s (180 mph), which
is the highest wind speed considered in this study. The capacity
ratios are shown for two different realizations of the given wind
speed. The capacity ratios can be seen to reach 1.0 for columns at
the second to fourth floors levels. When looking at Fig. 14 and by
studying the story drift ratios of Floors 1 to 4 in Figs. 12(a and b),
the drift ratios are very close to the performance level correspond-
ing to immediate occupancy.

�
Pr

Pc
þMr

Mc

�
þ
�
Vr

Vc
þ Tr

Tc

�
2 ≤ 1.0 ð22Þ

�
Pr

Pc0

�
þ
�
Mr

Mcx

�
2 ≤ 1.0 ð23Þ

Fragility analysis is a standardized methodology employed
in performance-based structural analysis against wind and seismic
hazards. The objective of a fragility analysis is the computation of
conditional probability of exceedance of damage t for engineering
demand parameters such as interstory drift ratios and peak accel-
erations. FEMA has developed methods to correlate the response of
buildings under seismic hazards to the structural and nonstructural
damage and its ramifications in terms of the decision variables set
by the stakeholders. The DVs may be downtime, repair costs, or
casualties. The response parameters are compared with the limiting
threshold specified by FEMA to categorize the structural compo-
nents into different levels of damage states (DSs) upon the action of

(a) (b) (c) (d)

Fig. 12. (a) Peak floor acceleration; (b) RMS variation of acceleration and RMS; (c) peak interstory drift ratios; and (d) peak variations of interstory
drift ratios along building height.
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wind loads. From the extensive database, five structural and non-
structural components were chosen in this study to illustrate the pro-
cess. These were welded column splices, bolted shear tab gravity
connections, post-Northridge welded steel moment connections,
glass-type curtain walls, and gypsum partition walls. These are
the fragility groups used in this study. Column 1 of Table 2 also
gives annotations within parentheses to specify the fragility group
label assigned by FEMA. The progress and characterization of vari-
ous damage states in each of the structural or nonstructural com-
ponents are given in column 4 of Table 2. For example, in the case
of glass-type curtain walls, cracking of the glass would represent
the first damage state (DS1), corresponding to a median interstory
drift ratio of 0.0084 and dispersion of 0.25. The median and
dispersion values given in the table were used to develop the log-
normal probability density functions, which were then converted to
cumulative density functions to obtain the fragility curves for each
damage state. The same can be repeated to obtain fragility curves of
different structural or nonstructural components. From the multiple
variations of analyses for each set of wind speeds (between 45 and

80 m=s), the decisive percentile of interstory drift ratios can be ob-
tained for each set of wind speeds. Twentieth percentile drift was
chosen as the threshold limit IDR in this study. The probability
of exceedance of the threshold IDR (P1) can be calculated from the
results of multiple sets of analysis. The probability of exceedance of
drift ratios for each damage state (P2) was then obtained by inter-
polation from the existing FEMA-developed fragility curves. The
multiplication of P1 by P2 would then give the probability of ex-
ceedance of drift ratio for the damage state under the set of wind
speeds. The procedure is shown in Fig. 15. The figure shows the
steps to create the FEMA fragility curves as a function of edp in
Step 1 and using the curves to evaluate losses due to repair or re-
placement of the component. The fragility curves developed using
the process are shown in Figs. 16(a–e).

The cost of repair or replacement for the fragility groups is given
by FEMA and can be obtained from the FEMA P-58 (FEMA
2018b) database. In this study, the loss ratio was the parameter
used, which is the ratio of repair to replacement cost. Therefore,
if the loss ratio is reported as 1, it means the cost of repair is either

(a) (b)

Fig. 13. (a) Forces acting on column cross-section; and (b) forces acting on beam cross-section.

(a) (b)

(c) (d)

Fig. 14. Capacity ratio on column cross-section for 80 m/s for levels: (a) 1; (b) 2; (c) 3; and (d) 4. The horizontal line in all graphs shows the column
capacity threshold.
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Fig. 15. Flowchart showing the development of fragility curve for any damage state of a component.

(a) (b)

(c) (d)

(e)

Fig. 16. Fragility curves of the various fragility groups considered in the paper: (a) welded column splices; (b) bolted shear tab gravity connections;
(c) post-Northridge welded steel moment connections; (d) glass-type curtain walls; and (e) gypsum partition walls.
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equal to or greater than the cost of replacement and that the com-
ponent has to be replaced. The annual probability of exceedance
corresponding to the highest-story drift ratio was obtained from
the curves. The loss ratios for the fragility groups chosen in the
study are given in Figs. 17(a–e).

The correlation between occupant comfort and floor accelerations
was discussed in the previous sections. The RMS and peak accel-
erations presented in the previous sections were used to measure
occupant comfort in the building under the given range of wind
loads. When looking at the variations of peak floor accelerations,
it can be seen that the values fell within the range of 25–60 mg for
wind speeds up to the design wind speed. Higher wind speeds for
longer durations can lead to very high peak floor accelerations
where it becomes difficult to tolerate motion. However, the peak
accelerations were only observed for a few seconds in the response

during analysis, and hence when the criterion was RMS accel-
eration, the values were less than 15 mg for wind speeds up to de-
sign wind speed. This can be controlled by additional bracing at
these floor levels or establishment of newer technologies such as
Smrophacade.

Conclusion

This paper focused on studying the nonlinear response of tall build-
ings under long-duration turbulent wind loads. A 44-story steel
moment-resisting frame building was designed for this purpose.
The modeling criteria were validated by comparing the results with
a shake-table test conducted on a steel-frame building under seismic
loads. Nonlinear wind-induced pushover analysis was specifically

(a) (b)

(c) (d)

(e)

Fig. 17. Loss ratios of the various fragility groups considered in the paper: (a) welded column splices; (b) bolted shear tab gravity connections;
(c) post-Northridge welded steel moment connections; (d) glass-type curtain walls; and (e) gypsum partition walls.
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developed for wind loads and conducted to understand the inelastic
responses of the building and identify the locations of plastic hinges
under extreme wind speeds. To understand the structural response
under long-duration wind loads, the building was subjected to ran-
domly varying wind loads for a duration of 30 min. Different time
history analyses were performed with wind speeds varying between
45 and 80 m=s (100 and 180 mph). The building responses recorded
included acceleration and displacement time histories at every floor
level. The member forces were recorded to identify the locations of
plastic hinges and also to interpret any unusual variations in the re-
corded accelerations and displacements in the building. Multiple iter-
ations of analyses for each set of wind speeds were used to develop
fragility curves for different structural or nonstructural components
in the building. The fragility curves may be used in the loss analysis
of the structure. This paper provides an effective method to under-
stand the nonlinear behavior of tall buildings under high-velocity
long-duration wind loads. The fragility curves also offer an attractive
methodology to optimize the design of nonstructural components of
wind-sensitive high-rise buildings. From the data presented in the
study on the limit states of drifts and accelerations given in the cur-
rent standards, it is clear that the limit states for PBWE are not ex-
tensively presented like those given by the FEMA P-58 standards
(FEMA 2018a) for PBEE. Though the PBEE limit states may be
adopted for PBWE studies at present, this raises the need for avail-
ability of such a document for PBWE in addition to the available
documents such as the prestandard published by ASCE. This ab-
sence of adequate data provides potential for further research.
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